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ABSTRACT: Lateral spreading was the main cause of damage to bridges during the 

Darfield earthquake of September 4 2010. A case study bridge is chosen to explore in 

detail lateral spreading loads placed on a structure. Different methods for analysing „long‟ 

piles in laterally spreading soil are used to analyse the bridge. A parametric study is also 

undertaken assessing design assumptions made in predicting lateral spreading forces on 

pile walls and pile caps. These methodologies and assumptions are validated against the 

observed forces placed on the case study bridge.  

1 INTRODUCTION 

1.1 Damage Caused to Bridges in the September 2010 Darfield Earthquake 

On September 4 2010 a fault ruptured releasing a M7.1 earthquake with an epicentre 30-40km away 

from the Christchurch CBD. The bridges of the region were visually inspected in the days after the 

earthquake by teams from various interested parties, including the universities, governing authorities, 

and local engineering consultancies. The preliminary findings of these investigations are summarised 

in Palermo et al. [2010]. Overall the bridges performed structurally well. The report did however 

highlight that almost all the bridge damage that occurred was a result of liquefaction which lead to 

damage/disruption of the bridge system through two phenomena. One was through settlement and 

lateral spreading of approach fill, which lead damaged the approach only: consequently preventing 

bridge use. The other phenomenon was the lateral spreading of riverbanks towards the river which 

induced large longitudinal compressive forces through the bridge superstructure; this phenomenon 

often caused severe damage to the abutments, piles, piers, and bridge superstructure. This study will 

concentrate on the second type of damage via a case study of the Dallington pedestrian bridge. 

1.2 Dallington Bridge History, Retrofit, and Post-Earthquake Inspections 

The Dallington pedestrian bridge is located on a curve in the Avon River in the suburb of Dallington 

(Fig. 2(a)). The bridge was constructed in 1969 and retrofitted 30 years later in 1999. It has two cast-

in-situ tapered slender concrete arch members with post-tensioning in the top flange of both members. 

The two arch members are joined by coupling beams every 4.5m. The abutments are monolithic at 

each end of the bridge.  

In the mid-nineties, as a result of the Christchurch Engineering Lifelines Study [C.A.E., 1997], the 

bridge was identified as a critical weakness in the cities lifeline network. Not because it is an 

important transport link, but rather as it has two 66kV power cables crossing beneath the deck of the 

bridge. Orion New Zealand, the owners of the electricity cables, undertook an in-depth geotechnical 
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investigation into the lateral spreading 

risk at this site [Soils & Foundations, 

1998]. The studies prediction of 

liquefaction susceptibility for a 450yr 

return period earthquake is shown in 

Figure 1(c). The magnitude of lateral 

spreading was predicted using the 

Bartlett and Youd [1995] free face 

empirical equation; leading to a lateral 

spreading prediction on the south side 

of the river of 800mm for a 450yr 

earthquake. The original 4.5m long 

piles of this bridge were closely spaced 

essentially acting as a pile wall which 

relied on passive soil pressure to 

support the bridge; however the soil 

layer over the whole pile depth was 

very susceptible to liquefaction (Fig. 

1(c)). The solution implemented was to 

retrofit the bridge with four raked piles 

(of 11 and 16m length) at each end of 

the bridge as shown in Figure 2(b). This was intended to provide some transfer of the bridge actions to 

the non-liquefiable soils at a deeper depth. The intent of this intervention was not to achieve complete 

structural integrity of the bridge, but rather to bring the bridge up to a standard that the damage in a 

450yr return period earthquake would be acceptable. [Mackenzie, 1999] 

The findings of this study [Soils & Foundations, 1998] were validated by the Darfield earthquake. An 

extensive lateral spreading mapping program was undertaken by the University of Canterbury and the 

University of Auckland in the months following the earthquake [Robinson, 2010]. Transects and crack 

traces were done in the majority of the areas affected by liquefaction. Such an investigation was 

undertaken on both banks of the Avon River at the location of the Dallington Bridge (Fig. 2(a)). To the 

credit of the geotechnical engineer who worked out the predictions, the lateral spreading predictions 

matched well with the 900mm observed on the transect of the south river bank. A total of 1400mm of 

river narrowing was observed. 

Visual inspections were carried out on this bridge, as described in Palermo et al. [2010]. The lateral 

spreading led to the bridge acting as a compressive strut across the river. This compressive force led to 

a three-hinge flexure mechanism forming—with a plastic hinge forming at the apex of the bridge, and 

flexural yielding occurring at the two abutments. This damage forms the basis of the structural 

analysis carried out on the bridge in this study. There was a handrail expansion joint at the apex of the 

bridge Figure 1(b), which opened during the earthquake and, as discussed later, was useful for the 

determination of the final residual deformation of the bridge.  
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Figure 1: (a) Dallington bridge undergoing repairs; (b) 
Handrail expansion joint (c) Liquefaction susceptibility 

prediction for 450year return period event, based on a CPT 

at south side of bridge. Depth of original piles shown  

(b) 

Figure 2: (a) Crack trace and transects near bridge  [Courtesy of C. Kain, University of Canterbury]; (b) 

New piles; (c) Three horizontal force components into which the bridge analysis was divided 
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1.3 Purpose of Study and Overview of Methodology 

Methods for evaluating the forces that act on a structure due to lateral spreading have large 

uncertainties involved with many of the parameters. On top of this, there is very little guidance from 

the official bridge guidelines on how to consider lateral spreading forces—beyond stating that lateral 

spreading forces need to be considered [Transit New Zealand Bridge Manual, 2003]. The purpose of 

this study is to evaluate different lateral spreading soil-structure interaction analysis techniques. Two 

methods are assessed for analysing “long” piles in a three layer liquefaction model. Then a parametric 

analysis is carried out to assess the parameters used to determine the force that the crust layer places 

on the pile cap and that the liquefied layer places on a stiff pile wall. 

To aid this goal, the bridge system is split into three different components. The three components are 

the bridge superstructure and abutment, the ground interaction with the new piles, and the foundation 

system that is driven by the lateral spreading. This includes the ground interaction with original piles, 

the pile cap, and the abutment face. Two of the components, the superstructure and the new piles, 

resist the movement of the laterally spreading soil and are referred to as the resisting components. The 

third component, the system driven by the laterally spreading soil, is referred to as the driving 

component. Splitting the bridge into three components enables different methods of analysis to be 

applied independently to each component. The analysis methods can then be compared and evaluated 

by summation of the horizontal forces (Fig. 2(c)). Each of the three components has a varying degree 

of uncertainty associated with it. The driving force component has the most uncertainty associated, so 

this is the component that a parametric study is carried out on.  

2 RESISTING COMPONENT—SUPER STRUCTURE 

The failure mechanism and structural form of the bridge are the main reason why it is chosen as a 

case-study. Because three sections went post-yield, the moment that passed through these sections can 

be accurately estimated. As the bridge is of an arch form, and as the moment at the apex and abutment 

is known, an in-depth structural analysis will determine the axial force that lateral spreading placed on 

the bridge.  

A detailed section analysis was carried out at key 

sections in the bridge as given in Figure 4(a). The 

determined properties of the sections are then used to 

build a model of the bridge upon which a static 

displacement controlled non-linear pushover analysis 

is done using the structural analysis program 

SAP2000 [Computers and Structures Inc., 2009].  

The model built in SAP2000 is shown in Figure 3. 

The bridge span is divided into five section types as 

shown in different shades of blue. These section types 

are set to remain elastic during the entire analysis. All 

the inelasticity is designated to occur at hinges at key 

discreet locations. These hinges are given inelastic 

moment-curvature values as per the section analyses. 

The bridge dead load is distributed in proportion to the section depth of the bridge. The lateral 

spreading force is applied as a horizontal imposed displacement at one of the fixed supports 

representing the pile caps in a direction perpendicular to the river bank—i.e. in the direction of lateral 

spreading.  

For the push-over analysis to be of any use, the final displacement of the bridge needs to be known. 

Fortunately an expansion joint existed in the handrail just above the plastic hinge at the apex of the 

bridge (Fig. 1(b)). Simple geometry relates this to the rotation of the hinge in the bridges final resting 

position. This rotation correlated to a final shortening of the bridge in the range of 112 to 201mm. This 

is the magnitude of the imposed displacement on the bridge. 

Figure 3: 3D perspective of bridge model 
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2.1 Super-structure analysis results 

The pushover analysis suggested that at a bridge shortening of 201mm—the maximum indicated by 

the handrails—that hinge A-A had reached its ultimate flexural capacity, and that hinge E-E had 

reached its yield moment this corresponds well with the damages observed in the visual inspections 

(Fig. 4). 

The push-over analysis results are shown in Figure 5(a). The analyses based on the design and 

overstrength section properties are given. The “X‟s” on the figure represent the point that the model 

reaches the final deformation indicated by the handrails. The likely range of forces that was transferred 

through the bridge, as indicated on the figure, is in the range of 980-1090kN.  

 

Figure 5: (a) Push-over analysis of one of the two bridge members, showing the forces developed at the 

final displacement as indicated by the handrails; (b) Three-layer soil model characterisation of input 

parameters [Cubrinovski, Ishihara, & Poulos, 2009] 
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Figure 4: (a) Location of key sections for analysis and modelling; (b) Section A-A with plastic hinge 

shown [Photo courtesy of M. Cowan, OPUS]; (c) Section E-E at abutment showing cracks and forces 
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3 RESISTING COMPONENT—GROUND INTERACTION WITH NEW PILES 

3.1 Three-layer P-y Analysis—Methodology and Results 

The resistance of the retrofitted piles is determined using the three-layer soil model proposed by 

Cubrinovski & Ishihara [2004], in the framework of a p-y analysis. This model is best suited for the 

case where there is a liquefied layer of thickness H2 sandwiched between two non-liquefied layers of 

thickness, H1 and H3. The proposed model has reduction coefficients for the liquefied soil layer. The 

demand on the pile is computed by imposing a sinusoidal ground displacement, viz. Figure 5(b). 

The three-layer model can be either implemented using 

a closed solution [Cubrinovski & Ishihara, 2004] or by 

a numerical analysis. This study used a numerical 

analysis in the form of a p-y beam spring model. In a p-

y analysis, the pile is divided into a discreet number of 

lengths with non-linear properties. Each node on the 

pile is then assigned a non-linear p-y spring that 

characterises the soil resistance over the length that the 

spring is assigned for. For the Dallington Bridge, the 

piles are rotated onto the vertical plane for calculation 

simplicity at the cost of some accuracy. The p-y curves 

are developed using the methodology proposed by 

Kramer [1988] based on the studies undertaken by 

Reese et al. [1975]. The model is analysed using a non-

linear static push-over, controlled by an imposed 

displaced shape. The control shape applied 1.0 unit 

displacement to UG (with associated sinusoidal shape) 

and 0.1 unit displacement to the pile cap in the same 

direction to match what was observed in reality. The top of the pile is fixed against rotation. 

The analysis results are shown in Figure 7(a) where the locations of yield are circled. The force against 

displacement response for both the 11m and 16m piles, as measured at the pile cap, is given in Figure 

6. The piles are assumed to act independently as they are far apart at depth hence no pile group 

interaction is considered. For a pile cap displacement ranging between 112 to 201mm, the resistance 

from the total retrofitted 

pile group ranges from 

412 to 560kN.  

3.2 Retrofitted Piles 

Resistance—Depth to 

Fixity Method 

Two observations of the p-

y analysis are made which 

lead to the proposal of a 

depth to fixity method for 

pile resistance in laterally 

spreading soils. First, the 

11m and 16m piles both 

have identical response 

inferring that the entire 

shear has been transferred 

to the soil by the depth of 

11m, i.e. the extra 5m on 

the longer 16m pile is 

redundant. Second, it was 

Figure 6: Push-over curves for the 11m and 

16m piles. Yield and at rest occurrence shown 

Figure 7: (a) Deflection, BMD, SFD for 11m pile at final displaced position; 

(b) Depth to fixity method  

UG= Imposed  

Ground Disp. 

H
in

ge
 L

o
ca

ti
o

n
s 

(F, ) – pile cap 

Water Table 

1
0

D
b

 
sh

ea
r 

tr
an

s.
 z

o
n

e
 

Li
q

u
ef

ie
d

 Z
o

n
e

 

4Pile Diameters 

FY or FP 

Δz, pile cap to 

bottom of 

liquefied zone 

MY or MP 

 

Depth to fixity 

Deflection BMD 

(a) (b) 



6 

observed that all the pile hinging occurred just below the pile cap and at 3.5 pile diameters below the 

lower liquefaction interface. This is consistent with the observations from Kobe 1995 where borehole 

cameras consistently showed that the pile damage due to lateral spreading occurred at the interface 

between liquefiable and non-liquefiable soil [Ledezma & Bray, 2010]. No such field investigations 

have been made public from the Darfield 2010 earthquake. 

Based on this knowledge, a grossly simplified depth to fixity model can be assumed (Fig. 7(b)). It 

consists of a rigid mechanism with two hinges set with the yield and plastic moment properties of the 

pile: one hinge just below the pile cap, the other hinge 4 diameters into the lower stiff layer of soil 

(based on the 3.5 diameters determined from the P-y analysis). The lower layer of soil is modelled as a 

fixed support just below the hinge 4 pile diameters into the base layer.  The liquefied soil is given no 

strength at all. For this case, the pile cap provides a support fixed against rotation but not translation.  

By using simple statics, the force that the pile places on the pile cap at yield and plastic capacity can 

be determined: 

 

b

bottop

bbottop

Dz

MM
F

DzFMMM

4
 

)4(0at top

 

(1) 

By setting the moment in eq(1) as the yield moment and then as the plastic moment of the pile, the pile 

yield and plastic forces are found to be Fy = 73kN and FP = 132kN. In this situation the capacity of the 

pile was predicted to be 60 to 80% of that calculated by the more rigorous three-layer pseudo-static 

soil model. That is it conservatively estimated the piles strength against lateral spreading.  

It needs to be emphasised that this methodology is evaluated against this case study only; a non case 

study specific parametric study should be done to ensure it is conservative in all cases. Also the depth 

to fixity of 4 pile diameters is case specific and also importantly dependant on the chosen soil 

parameters—methods such as that proposed by Chai [2002] could allow the estimation of the depth to 

fixity value based on soil properties.  

4 DRIVING COMPONENT ANALYSIS 

The final component of the three part model is the lateral spreading driving force that acts on the 

bridge abutment, the pile cap, and the original piles which do not extend into the deeper non-liquefied 

layers (area in Fig. 8(a)). Five essentially static earth pressure calculations are carried out varying the 

parameters to both judge the sensitivity of the driving component to the parameters and to assess the 

parameter values that give the best estimation of the observed. There are four varied parameters: 

1. The piles, which are angled at ~30  in reality, are either rotated or projected onto the vertical plane 

(Fig. 8(b)). Projected is more accurate, as it gives the area normal to a horizontal pressure, and avoids 

analytically the deeper layers of soil. 

2. The depth of the liquefaction interface was varied. Varying this shows the sensitivity of the driving 

force to the ratio of crustal thickness to liquefied layer thickness.  

3. The the residual liquefied soil strength, Sr, was varied between the mean, lower and upper values 

given by the Seed, Seed, Harder & Jong [1989] emperical correlation to SPT (Standard Penetration 

Test) blowcount (Fig. 8 (c)). Conversion charts were used to estimate SPT based on CPT. 

4. The force on the opposite side (river-side) of the piles was varied between the water pressure (zero 

effective stress) and the active pressure. Because of the large relative displacement of 800mm between 

the piles and the soil, zero effective stress is the more realistic value.  

The variation of the four parameters amongst the five cases is shown in Table 1. The calculations are 

based on the CPT (Cone Penetration Test) and hand auger measurements of Soils & Foundations 

[1998] study. The ground water level, GWL, was assumed to be the same both sides of the pile, i.e. 

hydrostatic conditions. The passive and active forces that were placed on the non-liquified layers are 

determined using Rankine‟s methodology. Rankine‟s equations require the angle of friction for the 

soil, ’. This is determined from the CPT results using Robertson & Campanellas‟ [1983] empirical 
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correlation. The liquified layer‟s passive and active forces are determined using: 

 (active)   0.02    ; (passive)   2 ,, rzuarzup SS  (2) 

 

Table 1: Case definition of parametric analysis. Shaded values are the most likely estimates 

Case 
Estimated 

Conservatism 

Rotated or 

Projected Piles 

Depth of 

Liquefaction 

Residual Strength 

Estimate, Sr (kPa) 

Active 

Force  

1 Grossly conservative Rotated Non-liquefied passive force used None 

2 Conservative Rotated Bottom of pile cap Upper Seed - Sr=13.9 None 

3 Best estimation Projected Mean GWL Mean Seed  - Sr=7.7 None 

4 Best estimation Projected Mean GWL Mean Seed  - Sr=7.7 Considered 

5 Not conservative Projected Mean GWL Lower Seed - Sr=0.0 None 

6 Not conservative  - Mean GWL Liquefied layer = hydrostatic liquid 

5 EVALUATION OF DRIVING COMPONENT MODELS 

The two bridge system resistive components are summed and compared to the driving component to 

evaluate the parameters used in the driving force calculation. The summation of the most-likely values 

of the superstructure and retrofitted pile components is 1035 + 490 = 1525kN. The true horizontal 

component of the driving force should be equal and opposite of this. The calculated values of the 

driving forces are summarised in Table 2 below. The ratio of the calculated driving component over 

the resisting component is given. Unity represents the most correct driving component. 

Table 2: Conservatism of the different cases 

Case Estimated Conservatism FP (kN) zP (m) Calculated / Most likely 

1 Grossly conservative 5600 3.8 3.67 

2 Conservative 3020 4.6 1.98 

3 Best estimation 1706 3.9 1.12 

4 Best estimation, with active force 1238 3.7 0.81 

5 Not conservative 1420 3.8 0.93 

6 Not conservative, hydrostatic 390 1.5 0.26 

The combinations of assumptions made for driving component Case 3 best matched the resistive 

components. This is encouraging as Case 3 is the case which used all the most-likely values as shown 

in Table 1. Case 5 actually has a calculated/most likely ratio closer to 1.0. Case 5 however, has a much 

larger than expected lateral force. For if Sr = 0 (as shown in Table 1) then the soil has no shear 

strength, and thus can be considered a liquid. Because the piles do not retain water, this liquid is 

hydrostatic. However Case 5 ignores the active pressure—which is equal to the passive pressure—

meaning that computationally there is no force opposing the passive force. For Case 3 an active 

Figure 8: (a) End view of abutment & piles. Shaded area is the area the passive driving force acts 

upon; (b) Original bridge foundation, showing how piles are projected/rotated to vertical; (c) 

Empirical correlation between blow count and liquefied shear strength [Seed et al., 1989] 
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pressure of zero can be realistically expected, as the soil has enough shear strength to hold a “void” on 

the active side of the pile; particularly as the soil moved 800mm relative to the piles. 

The driving force is sensitive to all four parameters. A designer should be aware of this sensitivity, and 

design for a range of likely driving forces placed on the structure, as opposed to one accurate force. 

6 CONCLUSIONS  

A push-over analysis was carried out on the super-structure to ascertain the maximum axial force 

transmitted through the bridge due to the lateral spreading action. The flexural hinging that occurred in 

the push-over analysis, corresponded well to the damage observed in the visual investigation. 

The p-y analysis incorporating a recently proposed three-layer soil model determined with confidence 

the maximum induced lateral load on the “long” retrofitted piles. According to the analysis, plastic 

hinges form in the piles at the two interfaces between liquefied and non-liquefied layers.   

A proposed Depth to Fixity model conservatively predicted 60-80% of the value of resistance 

determined by the p-y analytical model which is more time consuming to build. The depth to fixity 

model thus lends itself well for use as a simplistic design tool. 

Design assumptions for laterally spreading forces against pile walls and pile caps were assessed in a 

parametric study. The assumptions supposed to be most accurate, did indeed give the best prediction 

of the observed reality. The parametric study also showed how the laterally spreading forces are 

sensitive to changes in the parameters, so care needs to be taken in design. 
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