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ABSTRACT: The performanced based assessment and design of aspects of the Auckland 
Art Gallery Development project are presented.  Detailed nonlinear dynamic time history 
analyses in conjunction with NZSEE Assessment Guidelines and FEMA-356 were used to 
assess the performance of existing heritage wings.  Strengthening of existing heritage 
building diaphragms with new sheet metal blocked plywood diaphragms is detailed.  

Analysis and design of a large glazed atrium tension façade system is summarised.  Key 
design considerations including façade performance requirements under serviceability 
limit state loads and pre-stressing methodologies are presented.  Some aspects of the 
basement retention design including the influence of the adjacent heritage buildings are 
discussed.  

 

1 INTRODUCTION 

The Auckland Art Gallery Development project is characterised both by the refurbishment and 
strengthening of its existing 19th century heritage buildings, and the construction of a new 
contemporary structure with world class gallery spaces.  

The Auckland Art Gallery is the home to New Zealand’s largest art collection.  Holmes Consulting 
Group’s involvement with the project began in 2000 when they engaged by the Auckland City Council 
(now Auckland Council) to complete a seismic assessment of the gallery complex which at that time 
consisted of six interconnected buildings.  Results of the seismic assessment indicated that the 19th 
century heritage buildings were vulnerable to significant damage should a large earthquake occur in 
the Auckland region.   

The results of the seismic assessment, coupled with the desire of the client for additional exhibition 
space proved to be the necessary catalyst for a more extensive development that is now nearing 
completion. 

 

2 PROJECT DESCRIPTION 

2.1 General 

The development is located at the intersection of Wellesley and Kitchener Streets in the Auckland 
central business district.  The site contains three Historic Places Trust category 1 heritage buildings 
that are refurbished and strengthened.  The original building, the Free Library/Art Gallery building 
including the Clock Tower was constructed in 1887 (refer Figure 1) and expanded to include the 
Council Chambers Building in 1913.  The East Gallery was constructed in 1916 

The site also contained three contemporary buildings, the Central Gallery constructed in 1971, and a 
Foyer Building and Services Wing both constructed in 1981.  These non-heritage buildings were 
demolished as part of the development to enable the construction of a new 5 level structure.  This new 
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building contains on site art storage facilities, additional exhibition spaces, expanded shop and café 
facilities and a three storey high glazed north atrium structure. 

 

2.2 Heritage Building Description 

The Free Library/Art Gallery building (now known as the Kitchener Wing) is approximately 
rectangular in plan and is 50 m long, approximately 12 m wide and 4 stories high including a part 
lower ground floor level and attic space.  The Council Chambers Building (now known as the 
Wellesley Wing) is 38 m long, approximately 13 m wide and 3 stories high including a lower ground 
floor level.  A Clock Tower occurs at the intersection of the two wings and is 6 stories high. 

The walls in both these wings and clock tower are predominantly of unreinforced masonry 
construction with light weight timber floors and roof.  Member sizes and geometry were established 
from the existing set of original architectural drawings obtained from the Auckland City Council 
archives and limited on site investigation. 

 

 
Figure 1 Original Kitchener Building 

The unreinforced masonry walls are typically between 345 mm and 460 mm thick in the gallery wings 
and upper levels of the Clock Tower.  In the lower levels of the Clock Tower 900 mm thick walls are 
present.  The timber framed floors consisted of 20 mm thick tongue and groove sheathing supported 
on timber joists that bear directly onto the unreinforced masonry walls.   

The East Gallery is a single story structure 31 m long and 10 m wide.  The East Gallery is 
predominantly of unreinforced masonry construction with a reinforced concrete clear story roof.  The 
unreinforced masonry walls in the East Gallery are typically 460 mm thick. 

All of the existing heritage buildings are founded on a combination of strip and pad foundations. 

 

2.3 New Building Description 

The new building, located between the East Gallery and the Kitchener Wing is five storeys high 
including a two story deep basement.  The new building also contains large atrium structures at both 
the north and south ends.   

New floors typically consist of precast concrete floor units (flat slab and double tee units) with an 
insitu concrete topping supported on structural steel beams.  Tight architectural constraints on overall 
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structural depths required that in many situations the beams be designed as non-composite elements  

The north atrium consists of a three story high glazed, tension façade system, which is believed to be 
the largest in the southern hemisphere.  The façade tensioning system consists of 36 mm and 56 mm 
diameter stainless steel stressing bars at 2.75 m centres spanning vertically 11 m and 14 m, on the 
eastern and western sides respectively.  Referring to Figure 2 the façade tensioning loads are 
transferred by means of skewed steel roof trusses to slender, tapered, timber clad CHS columns.  The 
soffit of the atrium roof consists of exposed vaulted kauri ceiling ‘pods’ attached to the underside of 
the primary roof structure. 

 

 
Figure 2 Section Through North Atrium Looking North 

The north atrium structure is complimented by adjacent lower eastern and western canopies.  These 
canopies are constructed in a similar manner to the north atrium roof with skewed steel roof trusses 
supported by slender, timber clad CHS columns. 

Precast concrete shearwalls were typically used as the primary lateral load resisting elements in the 
new building. 

The new building is typically founded on new bored concrete piles that extend down to the underlying 
East Coast Bays Formation (ECBF) rock. 

The basement retention system consists of 600 mm diameter bored concrete piles at 1800 mm centres 
with shotcrete infill walls. 

The new building is seismically separate from the Kitchener and Wellesley heritage buildings. 
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3 HERITAGE BUILDING STRENGTHENING 

3.1 Assessment Methodology 

Existing Kitchener and Wellesley wings were assessed using the NZSEE Draft Guidelines for 
Assessing and Strengthening Earthquake Risk Buildings (NZSEE, 1995) and FEMA 356:Prestandard 
and Commentary for the Seismic Rehabilitation of Buildings (FEMA, 2000) using the nonlinear 
dynamic time history method. 

As recommended by the NZSEE Guidelines a target strength level of 67% of that required by the New 
Zealand Loadings Standard NZS 1170.5 (SNZ, 2004) for a new building was used for the project.  
This equated to a peak spectral acceleration of 0.27g. 

 

3.2 Analytical Model 

The structure was analysed using the Holmes Consulting Group non-linear time history analysis 
procedure.  This is based on a linked series of modules; (1) MODELA, an Excel spreadsheet for 
preparing input data and writing input files, (2) ANSR-II, a general purpose non-linear analysis 
program (Mondkar and Powell, 1979) to analyse the structure and (3) PROCESSA, an Excel 
spreadsheet to process output files and import envelope results. 

3.2.1 Unreinforced Masonry Walls 

The unreinforced masonry (URM) walls were modelled using plane stress elements with degrading 
strength and degrading stiffness characteristics (refer Figure 3).  Properties of the elements are based 
on the provisions of FEMA-356.  Figure 4 illustrates the element shear stress – strain function.  The 
element cracks at a shear strength of the element as calculated using the NZSEE Guidelines (NZSEE, 
1995) i.e. typically 240 KPa plus 30% of the vertical stress.  After cracking the stiffness reduces under 
cyclic loading.  Once the shear strain exceeds 0.004 brittle failure occurs and the strength reduces 
rapidly to a residual level represented by friction alone. 

 
Figure 3 ANSR-II Structural Analysis Model of the Kitchener and Wellesley Wings 

Flexural rocking of slender URM piers was modelled using gap elements placed at the node at each 
corner of the wall piers at the elevations where separation is expected to occur.  The gap elements are 
pre-loaded by gravity loads on the structure.  The elements are linear elastic in compression but, once 
seismic uplift forces exceed the gravity load, the element stiffness reduces to zero and a gap opens. 

The NZSEE Guidelines provide the allowable strength for URM but do not provide detailed 
acceptance criteria for this type of modelling and so the requirements of FEMA-356 were adopted.  
Shear strains in wall elements are limited to 0.004 and the limiting drift angle for rocking is 0.004 h / 
L, where h and L are the effective height and length of the wall piers. 
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Figure 4 ANSR-II Unreinforced Masonry Degrading Shear Element 

 

3.2.2 Timber Floors 

The timber diaphragms were modelled using plane stress elements with degrading strength and 
degrading stiffness characteristics.   Properties of the elements are based on the provisions of 
FEMA-356.  Figure 5 illustrates the element shear stress – strain function. 
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Figure 5 Example ANSR-II Timber Diaphragm With 

Degrading Timber Diaphragm Element 

Shear capacity of the existing tongue and groove timber floors was determined using Appendix 11B of 
the 2006 NZSEE Guidelines (NZSEE, 2006) and was found to be 1.83 kN/m.  This agrees closely the 
1.75 kN/m (i.e. 120 plf) expected strength value recommended in FEMA-356 and is similar to that 
obtained by recent laboratory testing undertaken at the University of Auckland.  This capacity is 
significantly less than the 6.0 kN/m detailed in Table 11.1 of the NZSEE Guidelines (NZSEE, 2006) 
which are believed to be unconservative and currently under revision. 

Preliminary analysis results indicated that the existing tongue and groove timber floors had inadequate 
strength and stiffness and that strengthening of these elements would be required.  Heritage 
considerations dictated that the existing timber sheathing should remain.  A strengthening detail 
comprising of a plywood overlay with stapled sheet metal blocking was developed (refer Figure 6).  
While commonly used in North America uncertainty existed with regard to the cyclic performance of 
the sheet metal blocking system.   
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Figure 6 Stapled Sheet Metal Blocking Used as Part of the 
Auckland Art Gallery Diaphragm Strengthening Works. 

A testing program was initiated to confirm capacity and ductility of the stapled sheet metal blocking 
system.  Holmes Solutions, a sister organisation, undertook the necessary laboratory testing.  Results 
of the laboratory testing verified that stapled sheet metal blocking system meet the seismic ductility 
requirements of the New Zealand Timber Structures Standard NZS 3603 (SNZ, 1993) and that the 
diaphragms could be designed using a displacement ductility capacity,  , of 4.0.  Laboratory testing 
also confirmed that the overstrength factor for the stapled sheet metal blocking system (as defined in 
NZS 3603) could be taken as 2.45. 

 

     
Figure 7 Stapled Sheet Metal Blocking Component Testing. 

 

The NZSEE Guidelines do not provide detailed acceptance criteria for this type of modelling and so 
diaphragm deformations were limited to half the thickness of the supported URM walls i.e. the 
limiting deflection for the stability of the supported URM walls. 

 

3.3 Building Performance 

With the provision of the new plywood overlays, diaphragm – wall ties and mild steel flat collector 
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elements to tie the clock tower back into the main building at level 1, the building was demonstrated to 
have sufficient capacity to resist the design level earthquake.  Peak URM wall strains were limited to 
0.0032 which was less than the 0.004 maximum permitted.  The low peak strains were a result of the 
large number of masonry walls contained within the existing wings with the analysis indicating the 
existing walls had adequate capacity to resist the required seismic loads.   

 
Figure 8 Building Performance at Design Level Earthquake. 

As detailed above maximum rocking deformation for URM panels is limited to 0.004 which 
corresponds to a maximum 8 mm gap opening for a wall pier 1 m long with an aspect ratio of 2, the 
typical configuration in the heritage wings.  Maximum gap openings of 2.1 mm were recorded during 
the analysis, which were significantly less than the prescribed limit. 

Maximum displacements in the heritage wings were less than 25 mm.  The larger displacements 
occurred at the top of the clock tower and near mid-span of the timber floors.  These deformations are 
less than the limits prescribed for the timber diaphragms.  This confirmed that new plywood overlay 
strengthening proposed had adequate capacity and stiffness to ensure that wall stability would not be 
compromised for the design earthquake event. 

 

4 NEW BUILDING DESIGN 

The new building was classified as an Importance Level 3 structure as defined in the joint 
Australian/New Zealand Loadings Standard AS/NZS 1170.0 (SNZ, 2002). 

 

4.1 North Atrium Structure 

The north atrium structure was modelled using Robot, a general purpose structural analysis package.  
Referring to Figure 9 steel beams and columns were modelled using linear elastic line elements, elastic 
plane stress elements were used to model concrete shearwalls and diaphragms, with the tensioned 
façade stressing bars modelled using non-linear cable elements. 

Design of the north atrium was governed by limiting the horizontal deflection of the stressing bars to 
an agreed parameter of less than span/93 under serviceability wind actions.  This established the 
minimum size and pre-stressing load for the tensioned bars which governed the design of the skewed 
steel roof trusses (refer Figure 9) and slender, tapered CHS columns. 
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Figure 9 Robot Structural Analysis Model of the North Atrium. 

Referring to Figure 2 the facade tensioning system consisted of six individual stressing bars, one lower 
level vertical M56 stressing bar and five M36 stressing bars at each structural grid.  To minimise 
construction costs only there of the six stressing bars were actively pre-stressed, the top horizontal 
M36 bar and the two vertical M36 bars.  Pre-stressing load for the bars was typically approximately 
200 kN.  Conventional centre-hole hydraulic jacks were used to tension the two vertical M36 stressing 
bars while the top horizontal stressing bar was pre-stressed at midspan using a proprietary centre 
stressing tool. 

 
Figure 10 North Atrium Roof Under Construction 

Stringent architectural constraints on aesthetics and the final roof geometry dictated that the roof 
structure be pre-cambered such that the final stressed roof geometry was within tight tolerances of 
horizontal.  

The capacity of the 14 m high, slender, tapered CHS columns was determined by undertaking a 
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separate eigenvalue buckling analysis also using Robot.  A typical column assemblage consisted of a 
10 m long central 323.9 x 12.7 CHS section which tapered down to a 193.7 x 10 CHS section at the 
base and a 200 x 200 fabricated box section at the top. 

In the east-west direction steel braced frames were detailed as the primary lateral load resisting 
elements.  Fabricated 250 x 250 steel box beams, which also housed electrical services and sprinkler 
mains, were used as seismic collector elements to transfer north-south lateral loads to a reinforced 
concrete core via a concealed horizontal steel plate girder transfer truss.  

 
Figure 11 Western North Atrium Canopy Under Construction 

 

4.2 New Basement Retention Structure 

Construction of the new two story deep basement between the existing East Gallery and Wellesley 
Wings required careful consideration to ensure that damage to adjacent heritage buildings was avoided 
(refer Figure 12). 

A key project design requirement was the desire by the client to store the entire gallery collection on 
site.  This design requirement meant that a large basement was needed and, given the limited size of 
the site, the footprint of the basement had to be maximised and extended to face of the existing 
heritage buildings.  A bored concrete pile retention system with intermediate shotcrete walls and 
temporary prestressed ground anchors was determined to be the most cost effective solution for the 
project. 

Tonkin & Taylor, a specialist geotechnical engineering consultancy undertook a detailed soil retention 
analysis using WALLAP, a specialist non-linear soils analysis program.  The retention design was 
governed by the requirement to limit horizontal retaining wall displacements to less than 12 mm to 
mitigate damage to the existing heritage buildings. 

Detailed monitoring of the retention system was specified throughout the construction period to ensure 
adequate performance.  This monitoring included the installation of inclinometers within existing piles 
and regular surveys of established reference points.  The Contractor successfully completed the 
construction of the basement in June 2009 with no significant damage to the adjoining heritage wings 
experienced. 
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Figure 12 New Building Basement Excavation. 

 

5 CONCLUSIONS 

The Auckland Art Gallery Development project required challenging design and analysis solutions to 
ensure the full benefits of the project could be realised.  Detailed seismic assessment and retrofit of the 
existing Historic Places Trust category 1 heritage buildings was undertaken.  The use of non-linear 
analysis techniques enabled a strengthening solution to be developed that was comparatively economic 
and unobtrusive, assisting to preserve the valuable historic fabric of the heritage buildings. 

Design of the feature north atrium required detailed non-linear analysis of the system and careful 
detailing.  This enabled the construction of a spectacular atrium structure with minimal visible 
structural components without compromising the buildability or seismic performance of the building.   
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