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ABSTRACT: The development of simple models to determine the seismic design forces
for slender precast slab structure is described.  The results from initial analyses using
these models indicate that the seismic design actions that these structures undergo could
differ markedly from values that may be obtained from simpler methods of analysis.

1 INTRODUCTION

The construction of warehouse and factory structures using slender precast panels has increased
enormously over the last decade.  In response to an industry concern that many of these structures
were being built outside the provisions of current Standards, a task force was assembled to provide a
“design guide” to assist in the design of this form of structure.  This paper has been prepared to
describe the rational that has been used to develop the seismic design actions that are suggested in the
guidelines for these structures.

2 DESCRIPTION OF STRUCTURES

Typically these structures are used as warehouses and factories and the panels support low levels of
gravity load. These “panel structures” are single storey, rectangular in plan, and have thin pre cast
concrete panels as walls.  The structures can be logically subdivided into three categories.  The first
have a series of parallel portal frames to resist the lateral loads and the longitudinal panels are fastened
to theses portals.  The aspect ratio of the panels is typically “squat” and their ends are stabilised by the
portals.  Most of the roof loads are directly resisted by portal action and for typical configurations the
stability of the panels is not in question.  The second category is similar to the first except that the
panels (usually for ease of transport) are shorter and are unable to span horizontally between portals.
These panels are cantilevered from a footing and fastened to a structural steel beam at the eaves level.
It is usual that the panels are not stitched together allowing for in-plane flexural action.  The third
category is similar to the second, except that portal frames are not used.  Consequently the panels must
support the roof loads directly and as they have very little out-of-plane stiffness, the wind forces and
seismic forces in the face direction must be transferred through the roof diaphragm to the panels at the
end of the structure.  The procedures developed in this paper are specifically aimed at describing the
seismic behaviour of the third category of these structures and those of the second category where the
relative stiffness of the portal frame and the roof diaphragm allow a large proportion of the lateral
loads to be distributed through the diaphragm to the end walls.

For the two categories of structures that are considered for the analyses in this work, the panels are
thin (h/t > 30), cantilevered and have a structural steel member (usually a PFC) securely fastened to
them at the eaves level.  This member is used to fasten the roof diaphragm to the panels and plays an
important part in the successful seismic performance of these structures.  As almost all designs employ
only one layer of reinforcement in the panels they are very flexible to “out of plane” forces, but
provide most of the seismic resistance for the structure by their “in plane” action.

In summary the structures can be described by:



2

(i) Cantilevered thin panels with a simple “flexible” support at eaves level.

(ii) panels “unstitched”

(iii) low roof loads

(iv) lateral support by portal and/or end wall

3 ASSUMPTIONS ON SEISMIC BEHAVIOUR

The development of the analysis models to support the proposed design approach has been based on
the observations and results of testing precast wall panels and discussions with designers of these
structures.

3.1 Panels

The cyclic response to lateral loads (both “in and “out” of plane) has been determined from
approximately twenty panels tests that have been performed at the University of Canterbury (Bull
1999, Sudarno 2003), BRANZ (Beattie 2004) and the University of Auckland (Davidson 2004).  The
results from these tests can be summarised as:

(i) The panels are very flexible to out-of-plane displacements.

(ii) For panels that have a height to length ratio in excess of three, flexural behaviour dominates
and effective ductilities in excess of two appear to be able to be achieved.  The greater this
aspect ratio, the larger the achievable ductility ratio.  For shorter walls shear deformation is
more likely dominate.

(iii) Buckling does not appear to be a concern for panels that are supported laterally at the top
provided that the ductility demand on the panel does not exceed 2.

3.2 Portal Frames

For structures where these are used the following assumptions are made:

(i) They have a linear response.

(ii) The panels, purlins and other secondary members provide sufficient lateral support to stabilize
the portal frames.

(iii) The stiffness of the portal frames is small (say less than ¼) relative to the shear stiffness of a
bay the roof diaphragm between the frames.  This assumption appears reasonable from initial
calculations made from experiments (Heldt 1998) and allows for the adoption of the deformed
shape proposed in the simple models used in this study.

3.3 Roof Diaphragm

In this design approach, the integrity of the fastening of the roof diaphragm to the top of the panels is
paramount.  It is assumed in this design approach that:

(i) The diaphragm remains integral although it may distort.  It is assumed that this distortion can
be represented as a “linear” mechanism.

(ii) As a result of a seismic load in one direction, the diaphragm deflects in a “single half sine
wave” shape as shown in Fig.1.  This is the result of the “in plane” “inextendability” of the
panels.  The consequence of this is that the panels resisting the seismic loads remain
essentially parallel to the direction of the load.

(iii) The mass of the roof diaphragm is small.  Consequently, most of the mass of these structures
can be considered to be lumped along the wall lines of the structure.
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3.4 Structure

The assumed or prescribed behaviour of the parts of the structure dictate its seismic behaviour.  This is
assumed to be:

(i) Panels provide no out-of-plane resistance to seismic loads.  They will be designed to span:

(a) One way, from the ground to a gutter beam. The lateral load for this design can be
assumed to be based upon the peak ground acceleration.

(b) Two way, when spanning between piers or portal frames.

(ii) Out-of-plane support to the panels will be provided by portal frames and/or the roof
diaphragm.  The forces on these elements are dependent upon the frequency of oscillation of
the structure.  For example, in the unlikely case where the diaphragm is rigid, this frequency
will depend upon the in-plane stiffness of the end resisting panels and the mass contributing
to the mode of vibration.  For the flexible roof diaphragm situation, the stiffness of the
portals, the roof and the resisting panels needs to be considered.

Figure 1. Assumed distortion of the diaphragm

4 SIMPLIFIED MODELS

Two simplified models have been developed to explore the principal seismic response of these
structural forms.  The first is a two degree of freedom system that assumes that the structure is
symmetric.  This will be satisfactory for structures that have approximately the same number and size
of panels along the parallel walls.  The second model is asymmetric in that it assumes one set of
parallel walls to be dissimilar.

4.1 Two degree of Freedom Model

4.1.1 The linear model

A schematic of this model is shown in Fig. 2.  It is assumed that the structure is to be designed for an
earthquake acting in the Y direction.  There are two masses representing the structure.  The mass m2
represents the mass directly resisted by the stiffness of a resisting wall.  Typically this would be
approximately one half (the upper half) of the mass of that wall plus a proportion of the roof mass and
face loaded lateral walls.  The mass m3 represents the mass that is resisted by the resisting wall
through the stiffness of the roof diaphragm.  For a full model of the structure, this would be half the
mass of the roof and approximately half of the upper half of the mass of the two face loaded
longitudinal walls.  For this symmetric model, only a half of this mass is used.  Thus;
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m2 ~ ½  * (mendwall + ¼ * msidewalls ) + ¼ * mroof (1)

m3 ~ ¼ * (mroof + ½ * msidewalls) (2)

The mass of the model is defined as the mass ratio
Mr=m3/(m2 + m3) (3)

The stiffness of the resisting wall and roof of the structure are defined for the model in terms of
periods of vibration.  The stiffness of the end wall is defined in terms of the period of the structure, T,
calculated assuming a rigid diaphragm and neglecting any stiffness provided by the portals, thus

T = 2π √ [ (m2 + m3)/k2 ], (4)

where k2 is the stiffness of the resisting wall.  The period of vibration of the “roof”, Tr is used to
define a stiffness of the roof diaphragm, k3.  This is based on the calculation assuming rigid resisting
walls, hence

Tr = 2π √ [m3/k3 ],  (5)

The stiffness k2 may be assumed from the Concrete Standard (NZS3101 1995) and reference to recent
work by (Fenwick 2000 2001) and (Priestley 2002).  The stiffness of the roof diaphragm, k3 is often
larger than that assumed by calculating the influence of wind braces alone and in design it would be
prudent to investigate it being four to five times that value (Mahendran 1997).  The influence of the
stiffness of the portal frames on the response of the structure is introduced by the addition of the
stiffness kp.  The value of kp is expressed as a proportion of the stiffness of the end resisting wall.

 

Figure 2. Two degree of freedom model

Initially a response spectrum analysis was performed with this model without the stiffness
enhancement of the portals using the NZS4203:92 Intermediate soil ductility “1” seismic coefficient.
The base shear and the “shear” force required to support the roof to the resisting wall were calculated.
The base shear is plotted as the “base shear ratio (BSR)” which is the calculated base shear divided by
the base shear assuming a rigid roof.  Similarly, the force from the roof to the top of the panels is
plotted as a “roof force ratio (RFR)” which is the calculated roof force divided by the roof force
assuming a rigid roof diaphragm.  Hence,

BSR = Base shear / [(m2 + m3) * C(T)]  (6)

and
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RFR = Roof force / [ m3 * C(T)] (7)

The base shears are plotted in Fig.s 3.  In each of these plots are values for different mass ratios, Mr.
It is interesting to note the trends in these plots.  The base shear ratios all take a similar form.  For
short roof periods (rigid rooves), the base shear ratio is approximately equal to one, indicating that the
structure is vibrating as a single degree of freedom system.  The allowance of the roof and face loaded
panels to oscillate reduces the base shear ratio and this falls to approximately 60 to 70% of the rigid
roof value for roof periods that are approximately 20% longer than the period of the structure, T.

Figure 3 Typical Base Shear Ratios

Plots of the roof force ratios are shown in Fig.4 .  These again follow similar trends.  The magnitude of
the RFRs  is “1” for the rigid roof, then increase to approximately “1.6” for the structures that have a
roof period approximately equal to the period of the structure. For longer roof periods, the RFR drops
below one to approximately 0.6.

Figure 4 Typical Roof Force Ratios

The influence of the stiffness of the portal frames on the seismic behaviour of these structures has
been investigated.  It was found that the model worked well provided that the roof stiffness was
bounded to ensure that the basic deformation shape illustrated in Fig.1 is assumed.  With this proviso
it was found that the influence of the portal frames on the response of the structure is very small.

4.1.2 The nonlinear model

The nonlinear formulation of the model shown in Fig. 2 was developed using the computer program,
Ruaumoko (Carr 2001).  The numerical form of the model was the same as that shown for the linear
model in Fig. 2, except it differed in that the stiffness of the resisting wall (k2) is assumed to respond
in a nonlinear (bilinear) form.  A number of nonlinear time history analyses we performed to
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determine the response of the system.  For all these analyses only one earthquake record was used.
This was an artificial earthquake that is based upon the El Centro 1940 NS record and scaled in such a
way that its 5% response spectrum closely resembled the NZS4203:93 Intermediate soil ductility one
basic seismic hazard coefficient.  The results have been presented in a non dimensional form which is
expected to negate a large amount of the specific character of this record.  This was achieved in the
following manner.

An initial analysis was made of the model with a rigid roof diaphragm and the strength of the resisting
wall was adjusted to ensure the required ductile response.  This strength was then specific to the
earthquake, however as the earthquake is artificial the required strength is similar to the values of the
appropriate seismic hazard values of the Loadings Standard.  With the strength of the resisting wall set
at the value determined in the initial step, a series of analyses were performed with different roof
periods. The results of these analyses are presented in Fig. 5. Both these figures have been developed
for structures with a base period T = 0.1 sec.  It is expected that the trends observed in these figures
would also occur for other structures with different periods,T.

Figure 5 Results from Nonlinear Analyses

Figure 5(a) plots the ductility demand of the resisting wall against the roof period Tr (the darker solid
plots are Trend Lines).  The ductility demand has been non dimensionised by dividing it by the
nominal, rigid diaphragm value to obtain the “non dimensional ductility demand (NDD)”.  It can been
seen from this figure that while there is some fluctuation, there is a trend for the ductility demand to
drop off with the increase of flexibility of the roof diaphragm.  This trend follows closely the drop off
in base shear ratio (BSR) observed in Fig. 3 calculated for the elastic responding structure.  This is
logical and supports the previous statement that “these trends can be expected to occur for other
structures”.  It appears for flexible diaphragms with long periods, the ductility demand drops to
approximately 50% of the nominal “rigid” diaphragm value.

Figure 5(b) is a plot of the non dimensional roof force versus the roof period.  This is defined in Eq. 7,
as the maximum roof force calculated divided by the roof force that would be designed for if the roof
diaphragm remained rigid.  The “Roof Force Ratio” follows the trends shown in Fig. 4 for the elastic
structure.  The difference that stands out in this figure is that where for the elastic structure the
maximum amplification was 60% (that is the RFR=1.6), for ductile behaviour a maximum
amplification of over 150% is observed.  This has important consequences on the suggested design
procedure.

4.2 Three degree of Freedom Model

4.2.1 The linear model

A schematic of this model is shown in Fig. 6.  As for the symmetric model it is assumed that the
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structure is to be analysed for an earthquake acting in the Y direction.  There are three masses
representing the structure.  Masses m2 and m4 represents the mass directly resisted by the stiffness of a
resisting walls.  Typically these are approximately one half the mass of that wall plus a proportion of
the roof mass and face loaded lateral walls (approximately one quarter). The mass m3 represents the
mass that is resisted by the resisting walls through the stiffness of the roof diaphragm and is
contributed to primarily by the inertia of the face loaded walls.  The masses used in the model have
been determined in terms of the ratio of the length of the building to its breadth, thus from Fig. 1 a
length ratio is defined as

Lr = b/d, (8)

the masses can shown to be (see Appendix)
m2 = (1 + 0.5 * Lr) / D

m3 = Lr / D

m4 = ( α + 0.5 * Lr) / D (9)

where 
D = (1 + 2 * Lr + α )

 

Figure 6. Three degree of freedom model

The stiffness of the minor resisting wall can be expressed as
k4 = SR * k2 (10)

The stiffness of the model is defined in terms of periods of vibration as was used in the two degree of
freedom model, plus the relative stiffness of the end resisting walls as expressed in Eq. 10.  The first
period of the structure assumes a rigid diaphragm and symmetry.  Thus T represents the same term as
was used in the “symmetrical” two degree of freedom model

T = 2π √ [ (m2 + m3+ m4)/(2*k2 )], (11)

where k2 is the stiffness of the major resisting wall.  The second period used to define a stiffness of the
structure is the period of vibration of the “roof”, Tr.  This is based on the calculation assuming a
flexible roof and rigid resisting walls.  Thus

Tr = 2π √ [m3/(2*k3 )], (12)

where k3 is the shear stiffness of the roof.

Response spectrum analyses were performed on these structures using the NZS4203:92 Intermediate
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soil ductility “1” seismic coefficient.  From these, the base shears for the resisting walls and the
“shear” force required to support the roof to the stiffer resisting wall calculated.  Typical values for the
wall base shears are presented in Fig. 7.  The wall shears are plotted as the “wall shear ratio (WSR)”
which is the calculated wall shear divided by half the total structure base shear assuming a rigid roof
and symmetry. Thus,

WSR = Wall shear / [ 0.5 * (m2 + m3 + m4 )* C(T)]. (13)

The features of the major and minor wall shear ratio plots are that for a “rigid” roof the proportion of
shear carried by a wall is proportional to its stiffness as would be expected.  As the flexibility of the
roof is increased and period of vibration of the roof increases up to approximately the period, T, there
is a redistribution of the wall shear where the amount carried by the minor wall increases significantly.
As the flexibility of the roof increases further, the shear carried by both walls remains approximately
constant and less than the shear calculated using “C(T)” in Eq. 13.  This follows the trends observed
for the symmetric structures and is expected, as the first mode period of vibration of the structure is
lengthened.  It can be concluded from these plots, that for an unsymmetrical structure, and a
conservative design of the major wall a wall shear ratio of “1” as defined in Eq. 13 would be suitable,
whereas for the design of the minor wall, if it is to be elastically responding, a value of 0.8 would be
appropriate.

Figure 7  Typical Wall Shear Ratios

The maximum force transferred from the roof to the stiffer of the walls is presented in a similar
manner, as the “roof force ratio (RFR)”,

RFR = Roof force / [ 0.5 * m3 * C(T)]. (14)

and a typical plot is shown in Fig. 8(a).

Figure 8  (a) Typical Roof Force ratios. (b) Typical Wall Displacement ratios
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This plot is similar in shape to those produced for the symmetric structures.  The major difference is
that the largest ratio approaches a value of 2.5.  Although the values calculated are for an linearly
responding system, it is expected that a ductile response of the minor wall (if that was intended) would
not significantly reduce this value.

As it is possible that a ductile design would be used for the minor wall an estimate of the displacement
response of the wall is important to obtain the anticipated ductility demand.  The wall displacement
ratios (max. minor to major wall displacement) shown in Fig. 8(b) are calculated using the linear
approach.  However from the “equal displacement hypothesis” it is expected that the values calculated
will provide a good (though perhaps slightly non conservative) estimate of the displacements required
of a ductile responding minor wall.  It can be seen for long structures (Lr ≈ 5) with very flexible minor
walls (SR ≈ 0.2) the displacement ratio can approach values of about 4.  As a ductility greater than 3 is
not recommended for a satisfactory performance of the panels, a structure with these parameters
would not meet the proposed Guidelines (BRANZ 2004).

5 CONCLUSIONS

A number of simple two and three degree of freedom models have been developed to explore the basic
seismic behaviour of rectangular “warehouse” type structures that are constructed use cantilever
slender precast panels as walls.  These models have been used to produce non dimensional plots of the
basic design parameters; base shear, roof force, ductility and displacement demand.  The results from
this work will be used to assist in the development of the design guidelines that are presently being
written for this form of structure.  The major results from this study show that as a consequence of
allowing for flexible roof diaphragm as compared to one that is rigid:

The base shears of the major resisting wall will typically be less.

Correspondingly, the ductility demand on the major wall will be less.

The forces required to attach the roof to the resisting walls can be much greater (two to three times)
than an analysis assuming a rigid diaphragm.

The displacement (and possibly ductility) demand on the more flexible resisting wall can exceed
typical recommended design values.
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APPENDIX

Calculation of Masses for Three Degree of Freedom Model

If mw is the contributory mass of the major resisting wall and

Lr = b/d

is the length ratio for the building, then

ms = mw Lr

is assumed to be the contributory mass of one side wall of the building.  Similarly the contributory
mass of the minor resisting wall is assumed as α mw.

Then with reference to Fig. 9,

m2 ~ mw + 2 ms/4   =  mw (1 + 0.5 Lr)

and

m3 ~ 2 ms/2   =  mw Lr

and

m4 ~ α mw + 2ms/4 =  mw (α + 0.5 Lr).

If we for convenience normalise by making total mass of the building equal to “one”, then

mw + 2ms + α mw = 1

or

mw (1 + 2 Lr + α) = 1

so

mw = 1 / (1 + 2 Lr + α)

and

m2 ~ (1 + 0.5 Lr) / (1 + 2 Lr + α),

m3 ~ Lr / (1 + 2 Lr + α),

m4 ~ (0.5 Lr + α) / (1 + 2 Lr + α).
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